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Construction and Behavior of Precast Bridge Deck Panel Systems 

 

Sean Sullivan 

 

ABSTRACT 

 

 

A bridge with precast bridge deck panels was built at the Virginia Tech Structures 

Laboratory to examine constructability issues, creep and shrinkage behavior, and strength 

and fatigue performance of transverse joints, different types of shear connectors, and 

different shear pocket spacings.  The bridge consisted of two AASHTO type II girders, 

40 ft long and simply supported, and five precast bridge deck panels.  Two of the 

transverse joints were epoxied male-female joints and the other two transverse joints 

were grouted female-female joints.  Two different pocket spacings were studied: 4 ft 

pocket spacing and 2 ft pocket spacing.  Two different shear connector types were 

studied:  hooked reinforcing bars and a new shear stud detail that can be used with 

concrete girders.   

The construction process was well documented.  The change in strain in the 

girders and deck was examined and compared to a finite element model to examine the 

effects of differential creep and shrinkage.  After the finite element model verification 

study, the model was used to predict the long term stresses in the deck and determine if 

the initial level of post-tensioning was adequate to keep the transverse joints in 

compression throughout the estimated service life of the bridge.  Cyclic loading tests and 

shear and flexural strength tests were performed to examine performance of the different 

pocket spacings, shear connector types and transverse joint configurations.  A finite 

element study examined the accuracy of the AASHTO LRFD shear friction equation for 

the design of the horizontal shear connectors. 

The initial level of post-tensioning in the bridge was adequate to keep the 

transverse joints in compression throughout the service life of the bridge.  Both types of 

pocket spacings and shear connectors performed exceptionally well.  The AASHTO 

LRFD shear friction equation was shown to be applicable to deck panel systems and was 

conservative for determining the number of shear connectors required in each pocket.  A 
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recommended design and detailing procedure was provided for the shear connectors and 

shear pockets.
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Chapter 1 

Introduction  

 

1.1 Introduction to Precast Bridge Deck Panel Systems 

 Precast bridge deck panels can be used in place of a cast-in-place concrete deck in 

order to reduce bridge closure times for deck replacements.  The panels are prefabricated 

at a precasting plant providing optimal casting and curing conditions.  The panels can be 

transported to the bridge site for immediate erection.  Precast panels can be either full 

depth or partial depth.  Partial depth panels act as a stay-in-place form for a cast-in-place 

concrete topping.  This research program only investigates the behavior of full depth 

precast panels. 

 Figure 1.1.1 shows a representation of a bridge with precast deck panels and 

prestressed concrete girders.  The construction process consists of first placing the panels 

on top of the girders.  The self weight of the panels is transferred to the girders through 

leveling bolts.  Leveling bolts are threaded through the depth of the panels and protrude 

through the bottom of the panels.  The protrusion can be adjusted depending on the 

desired haunch height or desired top-of-deck elevation.  The transverse joints are grouted 

next.  If the deck is to be post-tensioned, this operation can then be performed.  After the 

post-tensioning operation is complete, the post-tensioning ducts are typically grouted.  

The haunch is poured after the post-tensioning operation.  Once the grout in the haunch 

has cured, the leveling bolts can be removed and the panels and girders act as a 

composite system.  Barrier rails can be cast and a wearing surface is placed. 

The most common type of joint between adjacent panels is a grouted female-

female joint.  Epoxied male-female shear keys have been used in precast pavements.  The 

mechanical interlock provides continuity between the panels.  The panels are typically 

post-tensioned together to help add strength to the joint, act as distribution reinforcement, 

reduce the chance for water leakage at the joint, and improve the durability of the deck.  

However, if post-tensioning is not applied, mild reinforcing steel is often placed across 

the joint in order to properly reinforce the joint.  The mild reinforcing steel must be 

properly developed on each side of the joint. 
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 Composite action between the deck and girders is provided by shear connectors 

that extend out of the girder and into the shear pockets of the panels.  The connectors 

typically consist of either hooked reinforcing bars or shear studs.  The girders are 

typically either precast, prestressed girders or steel girders.  Precast, prestressed girders 

were used in this research program. 

 

Figure 1.1.1  Representation of Bridge Deck Panel System
1
 

 

1.2 Summary of Challenges Associated with Precast Bridge Deck Panel Systems 

1.2.1 Horizontal Shear Connectors 

Composite action between the panels and girders is provided by the haunch and 

shear connectors which are clustered together at the shear pockets instead of having a 

more uniform shear connector spacing found with cast-in-place concrete decks.  The 

discrete locations of the shear connectors raises questions about the proper way to design 

for horizontal shear transfer.  The pocket spacing is typically 2 ft.  Larger pocket spacing 

is desirable because it results in less grout that has to be poured during the bridge closure, 

and fewer blockout forms that have to be placed during fabrication.  This also allows for 

shorter construction delays.  Larger pocket spacing may cause cracking to occur along the 

interface between the shear pockets where there is no reinforcement present.  Current 
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design provisions do not address the design of shear connectors for precast bridge deck 

panel systems. 

There are a variety of shear connectors that can be used with precast bridge deck 

panel systems.  Hooked reinforcing bars are the most common type for panels installed 

on prestressed concrete girders.  Shear studs are the most common type for panels 

installed on steel girders.  Prior performance and applicable code provisions for hooked 

reinforcing bars and shear studs are discussed in Chapter 2.   

This research program investigated the performance of shear studs and hooked 

reinforcing bars with precast, prestressed girders.  The hooked reinforcing bars were cast 

with a girder.  A portion of the hooked reinforcing bar then protruded from the top flange 

of the girder into the shear pocket.  The shear connector detail with the shear studs was 

fabricated by casting a steel plate in the top flange of a prestressed girder.  Shear studs 

were located on the bottom of the steel plate.  This is shown in Figure 1.2.1.  Additional 

shear studs were then be shot directly on to the top of the steel plate after the girder was 

erected and the panels were placed.  No prior use or testing of this detail was found in the 

literature review presented in Chapter 2.   

Post-installed hooked reinforcing bars have also been proposed in deck 

replacement projects.  Shear connectors that are post-installed reduce the tripping hazard 

associated with shear connectors during early construction phases.  They also ensure that 

all the shear connectors fit in the shear pockets when casting tolerances are exceeded.  

Preinstalled hooked reinforcing bars are also used in this research. 
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Figure 1.2.1  New Detail For Horizontal Shear Reinforcement 

 

1.2.2  Prestress Losses in Post-Tensioning Ducts 

 Long term prestress losses may be significant enough to decrease the pre-

compressive stress across a transverse joint to a point where the bottom surface of a 

transverse joint goes into tension under service load.  Prestress losses due to creep, 

shrinkage, and relaxation of the prestressing strands are long term losses.  The research 

program investigated the use of standard equations provided by current code provisions 

to estimate the loss of prestress in the panels and whether they produce accurate results, 

particularly when considering the shrinkage and creep losses.  The research program also 

looks at whether current creep and shrinkage models accurately predict creep and 

shrinkage induced strains.  Several key factors are taken in to account when considering 

prestress loss from differential creep and shrinkage: 

1. Secondary moments due to prestress loss in continuous spans, 

2. The amount of mild reinforcing steel in the panels and girders, 

3. Girder spacing which effects the axial stiffness of the deck to axial 

         stiffness of the girder ratio, 

4. Span lengths, 

5. Concrete composition discussed in most code provisions 

regarding creep and shrinkage, 

6. Differential creep and shrinkage due to substantial differences 
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in casting dates and the concrete age at the time of prestressing 

between the panels and girders, 

7. Creep deformation associated with the post-tensioning force on the  

composite system, 

8. Creep associated with the prestressing force from the girder 

on the composite system, 

9. Stiffness of the girder compared to the stiffness of the deck, 

10. Time at which the system is made composite relative to the casting 

date of the girders (if applicable) and panels, 

11. Time at which the post-tensioning is applied relative to the casting 

date of the panels, 

12. Steel girders vs. prestressed concrete girders, 

13. Partial composite action. 

The above factors cause force and moment redistribution in the system which are 

not taken into account in standard code provisions.  Doing so requires a rigorous, time 

consuming analysis and prior knowledge of the actual construction schedule, 

environmental conditions, and material properties.  

Many states have reported problems with leaking at the transverse joints
2,3

.  This 

can often be attributed to a lack of post-tensioning or poor construction practices such as 

bowing of the formwork.  There has been much speculation as to which type of 

transverse joint is the best to use in terms of strength, durability, ease of construction, and 

cost.  The transverse joints are often thought of as one of the ñweak linksò of the system 

and special consideration needs to be given to these joints.  Recommended levels of post-

tensioning have been given to keep the joint in compression under live loads
4,5

.  Attention 

also has to be given to the decrease in this compressive force across the joint from the 

long term post-tensioning losses, loss of composite action between the girder and panels 

that may result over time, and stress redistributions within the composite girder. 

 

1.3 Objectives of Research Program 

The research program described herein was developed to address the challenges 

and problems discussed in the previous section.  By doing so, current design provisions 
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and practices can be improved and modifications to code provisions can be made, if 

necessary. 

The first objective was to conduct a literature review to develop a thorough 

understanding of the precast deck panel system.  The performance of the precast deck 

panel systems used currently and in the past was investigated.  In addition, the structural 

behavior of components in the system was studied. Current code provisions were 

reviewed that pertain to design issues encountered in precast deck panel systems.  

The second objective was to examine the constructability of the system.  A bridge 

consisting of precast deck panels and precast, prestressed concrete girders was built in the 

Virginia Tech Structures and Materials Laboratory.  This bridge was referred to as the lab 

mockup.  The construction process was well documented.  Particular attention was given 

to the transverse joint details, the types of shear connectors, and the construction process.  

Some details may result in more relaxed casting tolerances and/or reduce construction 

time. 

The third objective was to study the composite action of the system.  The hooked 

reinforcing bars and the new detail with shear studs were both considered in the testing 

program.  Both cyclic and overload tests were performed.  The cracking patterns at the 

interface between the haunch and girder, the strains in the shear connectors and the 

vertical deflections of the system were used as the primary indicators for the level of 

composite action.  The shear pocket spacing was also examined to see if 4 ft pocket 

spacing performed adequately compared to 2 ft pocket spacing.  Finite element studies 

were also conducted to aid in making more general conclusions about the composite 

action of the system by modeling push-off specimens and the lab mockup.  The push-off 

specimen consisted of a thin layer of grout cast between the two ñL-shapedò concrete 

blocks.  Reinforcement was provided across the interfaces between the grout and 

concrete blocks.  The specimen was loaded in pure shear to measure the horizontal shear 

strength of the interfaces.  Modifications to current code provisions were suggested as 

necessary. 

The fourth objective was to investigate to what extent creep and shrinkage effects 

the long term post-tensioning losses and deck stresses in the lab mockup.  Forces in the 

post-tensioning strands in the lab mockup were monitored along with the longitudinal 
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strains in the deck and girders.  The experimental results were used to verify the results of 

the finite element models.  The results were used to recommend an initial level of post-

tensioning. 

The fifth objective was to study the structural behavior of the transverse joints and 

evaluate constructability issues associated with the transverse joints used in the lab 

mockup.  Epoxied male-female joints and grouted female-female joints were used.  Both 

cyclic and overload tests were performed and relative displacements and crack patterns 

were compared to see if one joint performed better than the other.  Water was also 

ponded at selected intervals during the testing program to determine if the joints leaked. 

The results were used to recommend guidelines for precast deck panel systems.  

Guidelines were recommended for 

1. Fabrication practices, 

2. The types of shear connectors to use, 

3. Design methods for horizontal shear transfer, 

4. Spacing of shear pockets, 

5. Transverse joint configuration(s), 

6. Transverse joint formwork (for grouted female-female joints), 

7. Required initial levels of post-tensioning, 

8. Panel leveling screws, 

9. Haunch formwork, 

10. Grout specifications. 
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Chapter 2 

Literature Review 

 

 This chapter presents a review of literature concerned with precast deck panel 

systems.  Previous investigations on the behavior of bridge deck panels systems are 

covered first.  Previous studies dealing with prestress loss, horizontal shear, panel joints, 

as well as general issues such as constructability and durability are covered.  Current 

code provisions are discussed next.  Code provisions on creep and shrinkage of concrete, 

prestress loss, and horizontal shear design are covered. 

 

2.1 Previous Studies 

2.1.1 Prestress Losses 

2.1.1.1  NCHRP Report 496 

 NCHRP (National Cooperative Highway Research Program) Report 496
6
 , 

Prestress Losses in Pretensioned High-Strength Concrete Bridge Girders,ò identified 

limitations for current methods for estimating prestress losses and proposed new methods 

for estimating prestress losses in high strength bridge girders.  The report investigated 

many of the factors influencing long term losses.  The recommendations presented by this 

report were adopted in to the AASHTO LRFD 2006 Interims
7
.  The creep and shrinkage 

models and the method for determining prestress losses are presented in Section 2.2.1.3 

and 2.2.2.1. 

 The report proposed new models for predicting creep coefficients and shrinkage 

strains.  Multipliers were developed for non-standard relative humidities, V/S (volume-

to-surface) ratios, loading age, and concrete strength.  In other models for predicting 

creep coefficients and shrinkage strains, the standard relative humidity, V/S ratio, loading 

age, and concrete strength were not representative of the findings presented by NCHRP 

Report 496.  These include the volume-to-surface ratio and the variation of the creep 

coefficient and shrinkage strain with time. 

 The report pointed out that the effects of composite action between the deck slab 

and precast girders must be taken in to account to accurately estimate prestress loss in 

high strength girders.  NCHRP Report 496 proposed what was referred to as the ñdetailed 
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methodò for determining the prestress losses in composite systems.  In this method, the 

report suggested taking in to account any elastic gains in prestress such as the addition of 

the deck dead load.   

The method consisted of using strain compatibility equations and constitutive 

relationships to determine the prestress loss at various stages of construction.  The change 

in strain in the concrete at the location of the centroid of the strands was set equal to the 

change in strain in the prestressing strands.  The gradual change in stress was taken into 

account by using an aging coefficient instead of using a time stepping approach.  This 

method was used to determine the creep and shrinkage losses between the time of transfer 

and deck placement.   

The relaxation loss was small during the entire time period for the analysis.  An 

average value of 2.4 ksi was reported and it was decided to split it evenly between two 

distinct stages: up until deck placement and after deck placement.   

The elastic gain in prestress due to the deck placement was calculated next.  The 

report stresses this was not necessary if the transformed section properties were being 

used, since it will automatically be taken into account.  The long term loss from the time 

the deck was placed until the final time was also calculated using a strain compatibility 

approach at the centroid of the strands.   

The losses and gains due to the different effects on the composite section were 

calculated separately; such as the shrinkage of the girder concrete in the composite 

section, creep of girder concrete in the composite section caused by the initial prestress 

force and self weight, creep of girder concrete in the composite section caused by deck 

weight and superimposed dead loads, relaxation of strands in the composite section, 

shrinkage of the deck in the composite section.  The resulting expressions for prestress 

loss and gain were added together to determine the total loss of prestress from prestress 

transfer up until the specified final time. 

 The ñdetailed methodò was examined and altered to produce an ñapproximate 

methodò that was easier and much quicker to use.  The following assumptions were used 

to develop the ñapproximate methodò: 

1. Prestress losses were calculated at the maximum positive moment 

section, 
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2. No mild steel reinforcement existed at that section, 

3. Elastic losses and gains from external loads were not considered, 

4. Prestress was transferred to the concrete at 1 day in accelerated plant 

curing conditions, 

5. The cast-in-place deck weight was applied to the precast girder 

without any shortening after at least 28 days from the time of prestress 

transfer, 

6. V/S ratio for the girder was between 3 in. and 4 in. 

 The proposed correction factors, ñdetailed methodò, and ñapproximate methodò 

were verified by comparing predicted prestress loss values to values inferred from strain 

measurements in seven bridges in four states.  The bridges were instrumented with 

vibrating wire gages at the centroid of the prestressing strands, mid-depth of the girder, 

and at the center of gravity of the top flange.  The proposed ñapproximate methodò gives 

almost as accurate an estimate as the ñdetailed method.ò 

 The approach above does indeed prove to be robust.  However, the proposed 

formulas are not general enough to take in to account post-tensioned bridge decks. 

 

2.1.1.2 Wollmann et al. 

Wollmann et al.
8
 examined the age-adjusted effective modulus approach and 

applied it to a project in Salt Lake City, Utah.  Particular attention was given to creep and 

shrinkage effects on the composite system. Spliced precast and post-tensioned concrete 

girders were used on the project.  Because the girders were very deep, the long term 

effects of creep and shrinkage had to be taken in to account.  The girders were 

pretensioned as well as post-tensioned.  The post-tensioning was applied at a minimum 

concrete age of 50 days in order to minimize prestress loss and other creep and shrinkage 

effects, such as larger long term deflections. 

The aging coefficient was used to approximate the gradual development of 

stresses over time in a larger time interval compared to using a time stepping approach 

without an aging coefficient, where the time intervals must be small enough to eliminate 

any error.  The error is due to the nonlinear nature of the problem.  By using small time 

steps, the increment of the increase (or decrease) in strain is small enough that the 
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difference between the exact change in strain and estimated change in strain is small.  

This requires a great number of time steps in order to produce an answer that is close to 

the exact solution.  This often calls for a computer program or elaborate spreadsheet to 

carry out the calculations.  The aging coefficient, originally developed by Trost
9
, 

mentioned above was expressed as 
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where, 

  Eo = modulus of elasticity at time to. 

  E( ) = modulus of elasticity at time . 

  o = stress at time to. 

  t = stress at time t. 

  ( ) = stress at time . 

            
ott ,v = creep coefficient at time t due to a load applied at time to. 

  v(t, ) = creep coefficient at time t due to a load applied at time . 

As shown in the above equation, the aging coefficient depends on the loading history and 

variation of concrete properties over time.  The aging coefficient usually varies from 0.5 

to 1.0.  Typical values of , depending on the age of loading, are tabulated in ACI-209
10

.  

If a constant value is used for the aging coefficient, then the expression for the strain at 

any time can be given in the following form 
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where is,  = shrinkage strain at time t.  This concept was applied to the creep and 

shrinkage analysis of the I-15 Reconstruction project in Salt Lake City, Utah.   

Wollmann et al. proposed a method consisting of stain compatibility equations, 

equilibrium equations, and material constitutive relationships to solve for the changes in 

forces, moments, strains, and curvatures in the system.  The initial forces and moments 

acting on the composite systems are broken down into forces acting on the girder and 

deck by using axial rigidity ratios and flexural rigidity ratios, respectively.  Expressions 

for change in strain at the centroid of the deck and change in strain at the centroid of the 
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girder are considered along with the change in curvature in the deck and change in 

curvature in the girder.  Compatibility equations are written to establish the relationship 

between the strains and relationship between the curvatures.  The change in axial forces 

in the longitudinal direction of the bridge are considered in an equilibrium equation.  The 

changes in moments are summed about an arbitrary point.  If the system is indeterminate, 

then the equilibrium equations must account for time-dependent redundant forces.  The 

deflections can be found by using the principle of virtual work, 

 dxdxMxd
L

),()()(       [2.3] 

where, 

  (d) = deflection at location, d, along the span 

  (x) = curvatures due to long-tem effects 

  M (x,d) = moments due to a virtual force applied at location, d. 

In order to handle the loss in prestress on the composite section, the approach 

used by Wollmann et al. was to assume a change in strain at the centroid of the 

prestressing steel.  The corresponding change in force, with a strand relaxation increment, 

can be broken down into individual components acting on the deck and girder using the 

axial rigidity ratio discussed above.  The resulting change in axial forces can be 

incorporated in to the expressions for strain.  After a solution is determined, the initial 

assumption for the prestress loss can be checked.  If the initial assumption is incorrect, 

another iteration can be run.  This is the approach discussed by Wollmann et al.  

Another approach to handling the prestress loss is to treat the loss in prestress 

force and change in strain at the level of prestressing as additional unknown variables.  

This requires writing an additional equation for the strain at the level of the prestressing, 

writing an additional strain compatibility equation, incorporating the change in force into 

the equilibrium equation, and incorporating the moment induced on the composite system 

by the change in prestress in to the expression for the change in curvature. 

Because there were large blockouts in the girder for the post-tensioning ducts in 

the Salt Lake City project, the system of equations was refined, using the net section 

properties of the girder and grouted ducts.  The results of the analysis showed that the 

time dependent stress changes due to differential creep and shrinkage were quite small.  
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This was accomplished with the use of partial depth precast deck panels.  The long term 

deflection of the system was found to be in the downward direction.  The detailed 

analysis presented by Wollmann allows designers to take advantage of high early 

concrete strengths resulting in lower creep and shrinkage strains and lower prestress loss.  

Wollmann et al. recommended an aging coefficient of 0.8 for spliced precast concrete 

bridges. 

 

2.1.1.3 Harrison and LeBlanc 

Harrison and LeBlanc
5
 carried out a time-dependent analysis on the West 

Sandusky Street Bridge over I-75 in Findlay, OH.  This was done to determine the 

required level of prestress in the precast deck panel system with hybrid steel plate girders.  

This included an investigation of the long term creep effects on the system and the 

restraint provided by the steel girders.  The authors also commented on the fabrication of 

the deck panels and construction of the bridge. 

The 10 ½ in. thick panels used in this project were post-tensioned in both the 

transverse and longitudinal direction.  Post-tensioning in the transverse direction was 

shown to be more feasible to accommodate the crown in the roadway.  Before the panels 

were shipped to the job site, the entire deck was assembled to verify all the deck panels 

were constructed in compliance with the plan requirements.  Shear studs were used in the 

shear pockets in order to obtain composite action with the steel girders.  A grouted 

female-female shear key was used between the panels in order provide continuity 

between the deck panels.  Dimmerling et al.
11

 did a study on the transverse joints in this 

bridge, looking at the long term behavior of these joints. 

The commercial software SAP2000
12

 was used to determine the required level of 

prestressing in the bridge deck.  The bridge was modeled with plate elements and beam 

elements.  In addition to the dead and live loads, temperature and shrinkage effects were 

included.  A temperature range of 60 F was incorporated into the loading cases.  The 

results determined a maximum tensile stress in the deck of 400 psi.  Therefore, a post-

tensioning level of 400 psi was suggested.  Since the girders were simply supported, 

causing the deck to be in compression for most of the load cases, the governing load case 

was found to be the shrinkage of the concrete deck. 
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The commercial software Bridge Designer II
13

 was used to determine the stress 

redistribution over time in the deck and girders, due to creep and shrinkage effects, and 

determine resulting prestress losses.  The different stages of construction were taken in to 

consideration, since they have a large impact on the behavior of the system.  The stages 

used by Harrison and LeBlanc were 

1. Casting and curing of the deck panels, 

2. Placement of the panels on the girders, 

3. Stressing of the tendons in the post-tensioning ducts, 

4. Grouting of the haunch to obtain composite action, 

5. Removal of ½ in. sacrificial layer of the deck, 

6. Application of wearing surface and other superimposed dead loads, 

7. 10 year evaluation. 

Each of these phases was evaluated over a specified time period to include creep and 

shrinkage.  Two different scenarios were run.  The first scenario assumed the deck was 

cast 45 days before stressing the longitudinal tendons.  The second scenario assumed the 

deck was cast 7 days before the stressing of the longitudinal tendons.  This was done to 

look at the effects of the age of the deck at the time of post-tensioning, and incorporate 

this into the design of both the panels and girders.  The CEB-FIP
14

 Model Code 1990 was 

used to determine the time-dependent concrete properties.   

Results showed that a compressive stress increase of 11.5 ksi and 12.8 ksi 

occurred in the top flange of the steel girder for the 45 day tensioning time lapse and 7 

day tensioning time lapse, respectively.  The compressive stress in the deck decreased 

from 435 psi to 405 psi for the 45 day tensioning time lapse and from 435 psi to 400 psi 

for the 7 day tensioning time lapse. 

The results of Harrison and LeBlancôs study should not be used as a 

recommended level of post-tensioning in precast deck panel systems.  The results are 

based on the analysis of one bridge.  In addition, if prestressed concrete girders were 

used, additional stress redistribution would occur from the creep associated with the 

prestressing of the girders on the composite section and shrinkage of the girder. 

 

 



15 

2.1.1.4 Dimmerling et al. 

Dimmerling et al.
11

 also looked at the behavior of the Sandusky Street Bridge 

over I-75 in Findlay, OH, addressing the leaking of the shear keys, a common problem 

with this type of deck system.  Vibrating wire gages were placed in the grouted shear 

keys and the post-tensioning process was monitored for the effects of creep, shrinkage, 

and temperature.  The vibrating wire gages were suspended from segments of plastic that 

span the width of the transverse joint.  The gages were placed at the joints at midspan, at 

the quarter points, and at the end joints.  

A non-shrink grout was used in the joints.  Variations in the way the grout was 

mixed from batch to batch caused a variation in the response of the joints.  Dimmerling 

pointed out that this has been a problem with other projects as well. 

Dimmerling reported the elastic strain increments in each joint for each tendon 

that was stressed.   The results indicated that the tensioning was successful and the joint 

stresses were kept around 400 psi.   

The strains were monitored for the next eight months.  During this time, several 

observations were made.  The grouting of the shear pockets did not significantly change 

the strains in the joints.  The heat of hydration reaction that occurred during the grouting 

of the shear pockets created a temperature gradient in the system that may or may not 

have produced significant residual strains.  The compressive strain during the first 2 ½  

months decreased steadily.  This was reported to be contraction associated with the 

effects of creep and shrinkage instead of compressive stress.  After the first 2 ½ months, 

the changes in strain were believed to be caused only by daily temperature effects. 

A load test was performed approximately 5 months after the post-tensioning 

operation.  The purpose of this test was to see if close to full composite action between 

the girders and panels is present.  The strains in the vibrating wire gages were compared 

to hand calculations assuming full composite action.  There was good agreement between 

the hand calculations and field data. 

 

2.1.1.5 Peterson and Ramirez 

Peterson and Ramirez
15,16

 investigated the behavior of precast, prestressed 

concrete form panels with a CIP (cast-in-place) topping.  One issue addressed was the 
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restraint moment developed at interior piers
15

.  While the precast panels have undergone 

a substantial amount of shrinkage, a fresh CIP topping has not undergone any shrinkage.  

The precast panels restrain the shrinkage producing compressive stresses in the panels 

and tensile stresses develop in the CIP topping.   

In a continuous span, this causes negative restraint moments to develop at the 

interior supports and positive restraint moments to develop at midspan for each span.  

Additionally, the reactions at the interior supports increase and the reactions at the end 

supports decrease.  The creep associated with the prestress force in the panels acting on 

the composite section causes the opposite effect.  In a continuous span, this causes 

positive restraint moments to develop at the interior supports and negative restraint 

moments to develop at midspan for each span.  This assumes the direction of the 

prestressing strands is oriented in the longitudinal direction.  The creep of the panels and 

CIP topping under the self weight of the system will also produce restraint moments.  The 

restraint moments caused by this effect are similar to the moments caused by the 

differential shrinkage between the panels and CIP topping. 

To investigate this issue, two bridges were constructed and tested at Purdue 

University.  Each bridge had two spans consisting of prestressed concrete form panels 

and a CIP topping.  The bridges were continuous over the interior support.  The interior 

support of each bridge was pinned and the exterior supports were roller supports.  Two 

loads were applied near the interior support to create a large negative moment at the 

interior support.  One load was placed on each span.  During casting of the CIP topping 

and throughout the testing of the bridges, the end reactions were monitored using load 

cells.  These end reactions, along with the applied loads, were used to calculate the 

moment at the interior support.  The restraint moments can also be calculated by 

multiplying the change in the end reaction by the span length. 

During the first few days of observation, the change in the end reactions was 

believed to be due to the thermal bowing effect.  The panels and CIP topping cambered 

upward in each span, causing the end reactions to increase.  Another large change in the 

behavior of the system occurred when cracking was observed in the CIP topping at the 

center support.  This caused the restraint moment to decrease.  The experimental values 

for the restraint moments were compared to analytical methods for calculating the 
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restraint moments.  However, these methods were based on continuous spans for 

prestressed girders with a CIP topping.  The CIP topping only accounted for a small 

portion of the composite depth.  Therefore, Peterson and Ramirez proposed a new 

method for calculating the restraint moment at the center pier for a two span, symmetric 

bridge 
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  Id = moment of inertia of diaphragm region (area between support 

          points at center pier) 

  Ld = length of diaphragm region 

  Im = moment of inertia of main spans 

  Lm = length of main spans 

  Mp = moment caused by prestressing force about the centroid of the 

           composite member 

  Ms = differential shrinkage moment, adjusted for restraint of precast 

           panels and steel reinforcement 

  (Md)precast = midspan moment due to dead load of precast panels 

  (Md)CIP = midspan moment due to dead load of CIP topping 

  1 = creep coefficient for creep effects initiated when prestress force 

          is transferred to the precast panels 

  2 = creep coefficient for creep effects initiated when CIP topping is cast 

  )1( 1e = change in expression  )1( 1e  occurring from time CIP 
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            topping was cast to time corresponding with restraint 

           moment calculation 

Peterson and Ramirez stated that if the restraint moment exceeded the cracking moment, 

the restraint moment should be recalculated using a new  that accounts for the reduced 

stiffness using cracked section properties.   

The PCA (Portland Cement Association)
17

 proposed a method for calculating the 

differential shrinkage moment in a composite section, Ms, required for the calculation of 

the restraint moment in Equation 2.4.  The method was originally produced for the design 

of continuity connections between adjacent precast, prestressed girders in multi-span 

bridges.  Peterson and Ramirez modified the equation with a factor, which will be 

referred to as ópô, to account for the restraint by the precast panels and reinforcement in 

the CIP topping 

  )
2

(
h

eAEpM cddss       [2.6] 

where, 

  p = modification factor proposed by Perterson and Ramirez 
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  Ep = modulus of elasticity of the precast panels 

  Ap = area of precast panels 

  Es = modulus of elasticity of steel reinforcement in CIP deck 

  As = area of steel reinforcement in CIP topping 

  Ed = modulus of elasticity of CIP topping 

  Ad = area of CIP topping 

  s = differential shrinkage strain 

  h = CIP topping thickness 

  ec = distance between the top of the precast member and the centroid 

         of the composite section 
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In addition to monitoring the two bridges over the curing period, a static test was 

also conducted on each bridge.  Each bridge was loaded up to 20 kips.  The cracks which 

had developed during the curing period propagated and additional cracking formed.  The 

moments at the interior supports were tracked with increasing load.  The proposed 

method for calculating the restraint moment with cracked section properties showed very 

good correlation with the experimental data. 

The restraint moments developed from differential creep and shrinkage between 

the CIP topping and precast panels is analogous to the same phenomena developed 

between full depth precast panels and prestressed concrete girders.  However, the change 

in support reactions from thermal bowing of the panels during curing from the heat of 

hydration reaction obviously would not pertain to full depth panel construction.  This is 

because the girders and panels would cure separately before being made composite.  

However, casting the haunch may cause enough of a temperature gradient to create a 

thermal bowing effect. 

Perterson and Ramirez also conducted a study on the two bridges to examine the 

behavior and strength when exposed to repeated service loadings
16

.  Five million cycles 

were applied to each bridge.  The applied loads were based on producing a stress range in 

the reinforcement of 120% of the maximum allowable design stress range.  After the first 

2 million cycles of loading, the stiffness of the system did not change significantly.  A 

durability study was conducted after 2 million cycles which consisted of ponding water 

for prescribed time increments.  This was done for 48 weeks.  There appeared to be a 

significant change in stiffness after the durability study was done.  This was believed to 

be caused by positive restraint moments at the interior support which caused some of the 

cracks to close.  This positive restraint moment was developed when the surface of the 

CIP topping swelled due to re-wetting the surface.  During the last 3 million cycles of 

loading, the stiffness of the system did not change significantly.   

The bridges were then loaded to failure.  The capacity of each system was 

compared to the calculated capacity using virtual work.  The calculated failure load was 

within 1.3% of the actual failure load.  The calculated failure load did not take into 

account the restraint moments at the center pier.  Cracking of the concrete and yielding of 

the steel prior to failure relieved the stresses producing the restraint moment.  Based on 
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this information, it was noted that the restraint moments developed do not affect the 

ultimate strength of the structure. 

 

2.1.1.6 Issa et al. 

Much work on full-depth deck panels had been done at the University of Illinois 

at Chicago by Issa et al.
2-4,18-19

.  Issa pointed out that every DOT (department of 

transportation) has their own method of design and construction.  The purpose of the 

studies was to formulate an optimum full depth precast bridge deck to be used on steel 

girders.  Some of the work included the following: 

1. An extensive survey sent to state DOTôs to gather information of the 

      current details used and performance of their deck panel systems, 

2. Field inspection of selected bridges across the country using precast 

deck panels, 

3. An analytical study on the required level of post-tensioning, 

4. Laboratory testing to look at the effects of post-tensioning, behavior of  

the transverse joints, and measure of composite action. 

Issaôs work on required levels of post-tensioning is discussed in this section.  The 

remaining studies conducted by Issa are discussed in Section 2.1.2.6 and Section 2.1.4.2. 

 Issa
4
 performed  finite element analyses to investigate the required level of post-

tensioning to keep the transverse joints in compression.  Several bridges were modeled.  

Two of the bridges modeled were the Culpeper bridge in Virginia and the Welland River 

bridge in the Niagara Falls, Ontario.  These two bridges were the focus of the study.  The 

Culpeper bridge was a 54.5 ft simply supported span supported by steel rolled beams 

spaced at 6.25 ft.  The joints between the adjacent panels are the female-female 

configuration.  The 18 span Welland River bridge had 3 spans rehabilitated with precast 

panels, spanning 48 ft and supported by steel girders. 

The finite element software ALGOR
20

 was used along with the program 

PCBRIDGE
21

 to perform the analyses.  Symmetry of the bridges was considered and only 

a portion of each bridge was modeled in ALGOR.  This reduced the number of degrees of 

freedom and analysis run time.  PCBRIDGE was used to determine the resulting shears 

and moments to apply to the boundaries of the model in ALGOR.  The precast panels, 
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transverse joints, shear pockets, parapets, and closure pours were modeled with six and 

eight node brick elements.  Four layers of brick elements were used in the deck panels.  

The mild reinforcement for the precast panels and closure pours and the post-tensioning 

tendons were modeled with truss elements.  The post-tensioning was applied by imposing 

a temperature change in the truss elements for the post-tensioning tendons.  The steel 

stringers and diaphragms were modeled with four node plate elements.  Beam elements 

were used to model the shear studs.  

 Three different levels of post-tensioning were examined in this study; 200 psi, 

300 psi and 400 psi.  These were the stresses in the deck caused by the post-tensioning 

force applied.  The joints that were studied in each of the bridges were the ones with high 

tensile stresses.  A number of analyses were run for each bridge modeled to account for 

the different levels of post-tensioning and live load positioning to create maximum shear 

or live load positioning to create maximum moment.   

For the Culpeper bridge, the maximum tensile stress at the transverse joints was 

only 100 psi from the worse-case live load wheel positions.  A post-tensioning level of 

200 psi was recommended to keep the joints in compression.  For the Welland River 

bridge, the critical location for high tensile stresses was in the top surface of the deck in 

the vicinity of the supports.  Issa found that a level of 400 psi of post-tensioning was not 

enough to eliminate the tensile stresses near the supports in this case.  Issa analyzed 

several more continuous bridges using a post-tensioning level of 600 psi.  This proved to 

be more than enough to keep the joints in compression.  The results were interpolated to 

find the minimum level of post-tensioning that created a tensile stress of zero was 450 

psi.  In all other regions of the continuous bridges, 200 psi was acceptable. 

 Issa recommends a post-tensioning level of 200 psi for simply supported bridges.  

For continuous bridges, a post-tensioning level of 200 psi in positive moment regions and 

a post-tensioning level of 450 psi in negative moment regions was recommended.  Long 

term creep and shrinkage effects were briefly mentioned.  Issa arbitrarily increased his 

recommendation for initial post-tensioning levels by 100 psi to ñaccount for all residual 

stresses in the concrete including the effect of creep and shrinkage.ò
4
  Creep and 

shrinkage can have a substantial effect on the loss of post-tensioning force and deserves 

more consideration.  The levels of post-tensioning recommended in this report may or 
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may not work well for keeping the joints in compression for panels supported on 

prestressed concrete girders.  In addition, full composite action was assumed between the 

panels and girders.  Partial composite action caused by relative slip between the deck and 

girders causes a tensile stress increment in the deck in positive moment regions. 

 An experimental study was done by Issa
18

 to investigate the transverse joints, 

shear pocket connection, and amount of post-tensioning required in the deck.  Three 

bridges, modeled from a four-span continuous prototype bridge in Virginia, were built in 

a laboratory setting at a scale factor of ¼.  Shear connectors used were specially 

fabricated to meet the designed model requirements.  Headed shear studs were used for 

the shear connectors.  The headed shear studs were ¼ in. in diameter and 1 ¾ in. long.  

The ultimate strength of the shear studs was 75.8 ksi and the yield strength was 65.2 ksi.  

The corners of the shear pockets that housed the shear studs were beveled to eliminate 

stress concentrations.   

The difference between the bridge models was the level of post-tensioning.  One 

model had no post-tensioning, another had a post-tensioning level of 208 psi, and the last 

model had a post-tensioning level of 380 psi.  Grouted female-female joints were used as 

the transverse joint configuration between adjacent panels.  The panels were cast and 

cured for 60 days under controlled humidity and moisture room.  The panels were 

supported on two steel beams.  Each span was 9.5 ft. with a girder spacing of 18 in.   

The three bridges were tested under both static and fatigue loading.  The truck 

loadings for the static tests were positioned to create a maximum positive moment in the 

system.  The loading scheme for the fatigue tests were the same as the static tests.  The 

first two models were subjected to 2 million cycles of simulated HS20 AASHTO truck 

loading
22

 at a frequency of 3 Hz.  The last model, post-tensioned to 380 psi, was 

subjected to 1.3 million cycles.  Additionally, an ultimate load test was performed on 

each model. 

 The bridges were instrumented at maximum negative moment regions, maximum 

positive moment regions, and maximum horizontal shear regions to monitor the applied 

load, deflections, rotations, changes in strain, crack patterns, and relative slip.  Surface 

strain gages, LVDTs, vibrating wire gages, and crack displacement transducers were the 

instrumentation devices used. 
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 The model with no post-tensioning initially cracked in the transverse joints near 

the central support.  This ultimately led to the failure of the system.  The models with 

post-tensioning also experienced cracking at the center support.  However, more cracking 

occurred away from the central support as the load was increased.  Issaôs results indicated 

that higher levels of post-tensioning delay the onset of cracking at the central support.  

No relative slip occurred between the panels and girders until high static load levels were 

reached or high stress ranges were introduced during the fatigue test. 

 

2.1.1.7 Markowski  

Components of Markowskiôs
23

 work at the University of Wisconsin at Madison 

on precast deck panels relevant to this study included the required level of post-

tensioning across the transverse joints and composite action between steel girders and 

precast panels with different shear stud layouts.  Other aspects of the deck panel system 

investigated by Markowski included the required level of post-tensioning across 

longitudinal joints and panel edge strength.  This study was the first of three phases for 

this particular research project at the University of Wisconsin at Madison.   

Markowskiôs work on the required level of post-tensioning across the transverse 

joints is covered in this section.  Section 2.1.2.7 covers Markowskiôs work on the 

composite behavior of the steel girders and precast panels. 

The transverse joints were tested in flexure to see when the bottom of the joint 

would open up under different levels of post-tensioning.  The size of the panels used for 

this test was 4 ft x 8 ft x 8 in.  The panels were prestressed in the transverse direction.  

Two lab specimens were placed end to end in a 8 ft -10 in. simply supported condition 

with a grouted female-female joint between them.  The panels did not rest on steel 

girders.  The panels were prestressed in the transverse direction and were post-tensioned 

to a level of 154 psi across the joint.  The setup was instrumented with LVDTs, strain 

potentiometers, and strain gages.  The longitudinal separation of the transverse joint on 

the bottom face of the panels, the relative vertical movement on the top face of the 

panels, and the strain adjacent to the joint were measured.  The panels were 

ñpreconditionedò with 100 cycles of loading and then an ultimate load test was 

conducted. 
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During the testing of the transverse joints, significant nonlinear behavior was 

observed.  The joint opening exceeded 0.18 in. on the bottom surface of the panels.  

Markowski noted that cracking occurred at the bottom of the joint in a gradual manner.  

Unloading and reloading showed that large residual relative displacements and relative 

slip occurred. 

Using the results from the LVDTs for both the transverse joints and longitudinal 

joints, moment vs. curvature plots were developed to establish the rotational spring 

constants that could be used in computer modeling of the joints.  Constitutive 

relationships and the geometry of the cross section were used with the strain distribution 

to calculate the axial force and moment acting on the cross section.  If the assumed 

neutral axis location did not result in a net horizontal force equal to zero for the flexural 

strain distribution, then another neutral axis location was assumed and the process was 

continued.   

In his modeling approach, Markowski offset the axial force with the total 

effective post-tensioning force.  An initial prestress force was then backed out by taking 

into account creep, shrinkage, and elastic losses.  However, it does not appear that the 

losses reported by Markowski were based on a composite section with a steel girder.  The 

losses seem to only be based on the test setup consisting of only the panels.  There was 

no mention about seating losses or friction and wobble losses.  Based on the results of the 

analytical models and experimental results, the level of post-tensioning of 250 psi across 

the transverse joint was deemed adequate.   

 

2.1.2 Horizontal Shear Transfer 

2.1.2.1  Seracino 

Using partial-interaction theory to model the composite action of a bridge more 

accurately models the behavior of a bridge.  Loss of full composite action between the 

deck slab and girder results in a tensile stress increment in positive moment regions.  

Seracino
24

 formed the concept of partial interaction focal points to present the linear 

elastic partial interaction theory.  His work was based on composite steel beams only.   



25 

There are two extreme bounds that measure the degree of composite action.  One 

bound being no composite action and the other bound being full composite action.  For 

full composite action, the curvature can be calculated as 
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where, 

I fi = the moment of inertia transformed to concrete with full interaction of 

       the concrete slab with the beam. 

Ec = modulus of elasticity of the concrete 

Assuming a pure flexural state, the strain is zero at the centroid of the composite section.  

For no composite action, the curvature can be calculated as 
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where, 

  (EI)c = flexural rigidity of the concrete component 

  (EI)s = flexural rigidity of the steel component 

The steel section and the concrete section have the same curvature under the no 

composite action state assuming there is no vertical separation between the concrete 

section and steel section.  The strain distribution is zero at the concrete sectionôs centroid 

and zero at the steel sectionôs centroid.  Note that there must be a discontinuity in strain at 

the steel and concrete interface when there is partial composite action or no composite 

action.   

The two PIFPs (partial interaction focal points) can now be found.  The PIFPs are 

shown in Figure 2.1.1.  One PIFP occurs at the intersection of the full interaction strain 

distribution and the no interaction strain distribution for the concrete section.  This is 

referred to as PIFPc.  The other PIFP occurs at the intersection of the full interaction 

strain distribution and the no interaction strain distribution for the steel section.  This is 

referred to as the PIFPs.  The strain distribution in a partial composite action state must 

pass through both the PIFPc and PIFPs.  The only unknown remaining is the curvature in 

the partial interaction state. 
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Figure 2.1.1  Strain Distributions for Variable Degrees of Composite Action 

 

 A magnification factor (MF ) can be applied to the full composite interaction state 

to get the curvature in the partial composite action state.  The magnification factor is 
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  k = connector stiffness 

  p = connector spacing 

  Es = modulus of elasticity of the steel component 

  dc = distance between the centroid of the steel section and centroid of the 

         concrete section 

  x = distance from the end of the span 

  L = length of the span 

MF  = 1 implies full composite action.  Although the calculation for the magnification 

factor is not too complicated, it may not be very practical for design use.  Therefore, 

Seracino looked at the magnification factors at the supports, midspan, and quarter points 

and made some observations to simplify the expressions.  The magnification factor at the 

supports can be expressed as 
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The magnification factor at midspan is 

  )1)1
2

('(
1'

1
)(

2

2 L
Ad

Ad
MF c

c

m     [2.17] 

The magnification factor at the quarter points is 
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The magnification factors between the supports, midspan and quarter points can be 

linearly interpolated without introducing much error compared to the ñexactò solution 

presented in Equation 2.10.  The curvature for partial composite action can be found by 

multiplying the curvature for full composite action by the magnification factor.  The 

curvature for partial composite action can be used with the PIFPs to find the strain 

distribution at any section. 
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2.1.2.2 Tadros et al. 

Tadros et al.
25

 proposed a debonded shear key system to be used with concrete 

girders.  Design criteria and specifications were also cited.  This system can be used with 

cast-in-place concrete decks and partial and full depth precast panel decks.  The purpose 

of this new system is to facilitate deck removal.  The girders are cast with blockouts so 

shear keys are present in the top flange of the girder along the entire length.  Hooked 

reinforcing bars are used as the shear connectors.  A sealant is applied to the top of the 

girder that will break the bond between the girder and the deck concrete.  Therefore, the 

shear resistance is provided by the mechanical interlock between the deck and girder via 

the shear key and the shear reinforcement. 

The shear keys must be properly sized so they donôt fail prematurely.  Tadros 

claimed the shear keys can fail in one of two ways.  The shear key can fail by bearing on 

the side of the shear key.  The factored horizontal shear force can be compared to the 

factored horizontal shear capacity 

))(85.0()( '

skskskcskvuh tbtfSbv      [2.19] 

where, 

  vuh = factored horizontal shear stress (psi) 

  bv = width of the top flange (in.) 

  Ssk = shear key spacing (in.) 

   = 0.7 for bearing design 

  fcô = smaller of the compressive strength of the beam and compressive 

                                strength of the concrete (psi) 

  tsk = depth of the shear key (in.) 

  bsk = width of the shear key (in.) 

The shear key can also fail by shearing of the base of the shear key.  The factored 

horizontal shear force can be compared to the factored horizontal shear capacity 

)()( yvfskskvuh fAcASbv      [2.20] 

where, 

  c = cohesion stress (psi) 

  Ask = wskbsk = area of shear key at base (in
2
) 

   = 0.9 for shear design 
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   = coefficient of friction  

  Avf = area of horizontal shear reinforcement (in
2
) 

  fy = yield strength of the shear reinforcement (psi) 

AASHTO LRFD
22

 and the ACI 318, Building Code for Structural Concrete
26

 give values 

for ócô and óô, depending on whether the deck is cast monolithically, the surface 

preparation, and the material of the bonding surface.  This will be discussed in 

subsequent sections.  In this application, the cohesion stress, ócô, is zero since there is no 

bond between the deck and girder.  Tadros recommends  = 1 for this application. 

Tadros recommended the following equation in the calculation of the horizontal 

shear stress 
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where dv = distance between the tension and compression resultant forces in the section.  

Tadros argued that only the composite loads on the system be used when calculating vuh.  

Tadros went on to claim the shear connectors and shear keys donôt resist the deck self 

weight or the girder self weight since they are introduced prior to composite action being 

achieved.  This will reduce the number of connectors that are required.  Tadros does not 

address the issue of load redistribution in the system after significant cracking occurs. 

 The design of the shear key system can be accomplished by utilizing Equations 

2.19 and 2.20.  The unknown variables are tsk, bsk, wsk, fôc, and Avf.  Three of the 

variables can be chosen in advance by the designer and the remaining variables can be 

solved for.  Tadros recommended using the following equation to establish a maximum 

for the amount of shear reinforcement: 

  skvcyvf SbffA '25.0        [2.22] 

 This debonded shear key system was used in a bridge in Nebraska.  The 

southbound structure had the debonded shear key system and the northbound structure 

had the conventional roughened, bonded interface.  Tests were performed with a three 

axle truck.  Deflections of the southbound structure were compared to deflections of the 

northbound structure.  Deflections on the southbound structure were almost the same as 

the deflections on the northbound structure, indicating there was no increase in flexibility 

or loss of strength at the interface associated with the debonded shear key system.  The 
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bridge was also inspected three months after completion and so signs of distress were 

noticed. 

 

2.1.2.3 Push-off Tests at Virginia Polytechnic Institute and State University 

There have been extensive studies done on the horizontal composite action 

between precast concrete panels and precast concrete girders via push-off tests.  Two ñL-

shapedò blocks are cast to simulate a precast panel and a precast girder.  A haunch is then 

cast between the panel and girder.  Such parameters as haunch heights, grout types, 

amount of shear reinforcement, type of shear reinforcement, and surface preparation were 

investigated to determine their impact on the strength and behavior of the interface 

between the panels and girders.  Load-slip plots were used to examine the overall 

behavior of the interface between the panel and girder.  Load-strain plots were used to 

examine the behavior of the shear connectors.  Push-off tests are discussed further in 

Chapters 3 and 5. 

Menkulasi
27

 performed a total of 36 push off tests.  The bottom surface of the 

panels had a rough, exposed aggregate finish.  This was accomplished by placing a cloth 

soaked in a retarder mix on the formwork.  The surface was later hosed down to remove 

the unhydrated grout.  The top surface of the girder was given a raked finish.  The 

compressive strength of the concrete for the panel and girder was 5 ksi.  The casting 

orientation for the grout in the haunch was with the girder and panel on their sides.  There 

was no mention of the age of the grout at the time of testing. 

The grouts tested were a latex modified mix that was created in the lab and Set 

45 Hot Weather grout.  The shear connectors used in the parametric studies included 

hooked reinforcing bars, post-installed hooked reinforcing bars, post-installed, epoxied 

Dayton Richmond anchors, and no shear connectors.  The post-installed shear connectors 

are advantageous because they make deck removal easier, allow for larger casting 

tolerances during a deck replacement project, and donôt pose a tripping hazard.  Two of 

the tests had shear keys present in the girder.  This was similar to the detail proposed by 

Tadros
25

, except that no debonding agent was applied to the girder. 

A force normal to the surface of the panel was applied to the top surface of the 

panel to simulate the self weight of a tributary area of the deck.  This was accomplished 
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with a force of 2.5 k.  A load was applied to the side of the test specimen, passing through 

the centerline of the haunch in an attempt to load the specimen in pure shear.  The 

specimen was instrumented with two potentiometers to measure the relative displacement 

between the panel and girder.  Electrical resistance strain gages were placed on the shear 

reinforcement to measure the strain in the reinforcement. 

The tests exposed several key aspects about the behavior of the system.  First, the 

strength of the specimen does not vary significantly with the haunch height.  However, 

Menkulasi found that improperly developed shear connectors caused the failure of the 

specimen to be a pull-out failure of the shear connector.  This occurred in a specimen 

with a 3 in. haunch.  The Dayton Richmond connectors showed very brittle behavior.  

They were very convenient to install though.  The Set 45 Hot Weather mix performed 

better than the latex modified mix.  However, Menkulasi proposed that more grout types 

be tested in the future.  The shear keys on the top surface of the girders increased the 

capacity of the specimen.  Based on the limited tests on this detail, the shear key appeared 

to increase the capacity anywhere from 15-67%.  Most of the failures occurred at the 

interface between the haunch and girder or haunch and panel.   

Menkulasi proposed two equations to be used in design to predict the capacity of 

the interface between precast concrete panels and precast concrete girders.  The equations 

that he proposed were lower-bound capacities derived from his data.  For an uncracked 

interface, 
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where, 

  vnh = nominal horizontal shear stress resistance (ksi) 

  Avh = area of shear reinforcement (in
2
) 

  fy = yield strength of the shear reinforcement (ksi) 

  bv = width of the interface (in.) 

  s = length of the interface (in.) 

  Pn = sustained compressive force, normal to the interface (kips) 

For a cracked interface, 
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Equations 2.23 and 2.24 were compared to code provisions for calculating the horizontal 

shear resistance, such as ACI 318
26

, AASHTO LRFD
22

, and AASHTO Standard 

Specifications
28

.  The AASHTO LRFD provisions showed the best correlation with 

Menkulasiôs data and ACI 318 and AASTHO Standard Specifications were deemed 

unconservative.  

 Scholz
1
 performed push-off tests similar to Menkulasiôs push-off tests.  Six push-

off tests were done, two for each grout examined.  The grouts used were a Five Star 

Highway Patch, Set 45 Hot Weather Mix, and Set 45 Hot Weather mix with a pea 

gravel extension.  The same surface preparation used in the previous study by Menkulasi 

was used in this study.  The casting orientation of the grout for the haunch differed from 

Menkulasiôs specimen in that the grout was cast with the girder and panel upright instead 

of on their side.  No shear connectors were used in these tests.  A constant haunch height 

of 1 ½ in. was used.  The specimens were tested two days after the casting of the haunch.   

Results showed that the Set 45 Hot Weather extended mix performed the best.  

Scholzôs data compared favorably with Menkulasiôs proposed equations for predicting 

the shear capacity of the interface (see Equations 2.23 and 2.24).  Scholz recognized that 

in many of Menkulasiôs tests, the shear reinforcement did not yield, meaning that using 

the yield strength in Equations 2.23 and 2.24 may not be valid.  Using the strain in the 

shear connector at the time the interface cracks, s, times the modulus of elasticity of the 

steel, Es, was proposed by Scholz to replace the yield strength of the shear connectors.  

For Menkulasiôs push off specimen with the Set 45 Hot Weather extended grout mix, a 

new equation was developed using the strain in the shear connector at the time the 

interface cracked, 
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 In addition to push-off tests, Scholz also completed tests to measure the cube 

compressive strength, tensile strength via split cylinder tests, shrinkage characteristics, 

flow and workability, and bond strength of different grouts.  The tests were carried out in 

strict accordance with ASTM standards.  These material properties are critical when 
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selecting a grout to be used for the haunch between the precast panels and girders.  The 

grouts tested were ThoRoc 10-60 Rapid Mortar, SikaQuick 2500, Five Star Highway 

Patch, Set 45 Hot Weather with and without pea gravel aggregate extensions. 

 The ThoRoc 10-60 grout had the highest 7 day compressive strength.  The 

grouts with the extended pea gravel did not gain as much strength as the grouts without 

the extensions.  All of the grouts without the pea gravel extension had comparable 

compressive strengths at 2 hrs.  The Five Star grout had the best tensile strength. 

Shrinkage bars for each mix were used to establish the relationship of the 

shrinkage strains with time.  This was done over a 28 day period.  Because of the 

different size bars used and the need to compare these shrinkage values with ones from 

other tests, the shrinkage strains were multiplied by the volume-to-surface ratio 

correction factor found in ACI 209
10

.  The Five Star Highway Patch and Set 45 Hot 

Weather had the lowest shrinkage strains for the shrinkage bar tests. 

In addition to the shrinkage bar tests, a small mockup of the shear pocket was 

created to test the durability of the detail.  After the grout was poured into the blockout 

and cured for a substantial amount of time, water was ponded on the top of the specimen 

to look for any leaks that may occur in cracks resulting from large shrinkage strains in the 

grout.  The Five Star Highway Patch and Set 45 Hot Weather had the lowest shrinkage 

strains for the mockup.  No water leakage was present in any of the specimens after 

approximately 60 days.  

The flow and workability of the grouts were examined with drop tests on a flow 

table with a truncated flow cone.  A haunch flow mockup was also constructed to test the 

flow and workability.  The mockup was built to mimic the flow of grout between two 

shear pockets spaced at 2 ft.  The grout was poured in one end and the flow was 

monitored to determine if it flowed completely to the other pocket and see if the entire 

haunch was filled.  The Set 45 and SikaQuick performed the best for the haunch flow 

mockup and Five Star Highway Patch and Set 45 performed the best for the drop tests. 

Slant shear cylinder tests were used to examine the bond strength.  The bottom 

portion of the cylinders were given different surface preparations:  exposed aggregate 

finish, raked finish, raked and sand blasted finish.  Scholzôs data shows that the exposed 

aggregate finish definitely increases the capacity of the interface.  The Five Star 
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Highway Patch and SikaQuick performed the best.  ThoRoc 10-60 also performed 

favorably.  There was an attempt to find a correlation between the slant shear cylinder 

tests and the push off tests.  However, no correlation was found.  Scholz suggests 

performing more slant cylinder tests using different angles for the cylinder component for 

each test. 

 Wallenfelsz
29

 performed 29 push off tests.  Like Scholzôs
1
 tests Wallenfelszôs 

tests were very similar to Menkulasiôs
27

 tests.  Five Star Highway Patch, Set 45 Hot 

Weather, and Set 45 Hot Weather with a pea gravel extension were the grouts used.  

The girders were given a raked finish and the panels were given either an exposed 

aggregate finish or a smooth finish.  All of the tests were performed within 24 hours of 

the grouting operation.  In addition to testing specimens with hooked reinforcing bars, 

specimens in which a steel plate was cast with the girder were also tested. Post-installed 

shear studs were shot to the top and bottom of the plate.  This eliminates tripping hazards 

during construction and allows for easier panel placement during construction.   

Another series of Wallenfelszôs tests examined a hidden pocket detail.  This detail 

provided a reduced pocket diameter at the top of the panel, improving the appearance and 

performance of the riding surface.  With this detail, the grout was pumped in at one 

location and the air was allowed to escape through a predetermined vent location. 

 During most of Wallenfelszôs tests, failure of the interface occurred between the 

slab and the haunch for the specimen with hooked reinforcing bars.  This may be 

attributed to air getting trapped during the casting operation.  For specimens with the 

steel plate detail and shear connectors, the failure of the interface occurred between the 

girder and haunch.   

The behavior of the system was broken down into three different categories.  The 

first category was characterized by the shear capacity of the shear connectors being less 

than the shear capacity provided by cohesion at the interfaces.  For this case, the load-slip 

plot was linear up until cracking.  After cracking, there was a sudden drop in the load 

carried.  There was still a considerable post-crack capacity, maintained at a fairly 

constant magnitude.  In general, the shear connectors did not yield at the time the peak 

capacity was reached.  Yielding occured sometime after the peak load was reached.   
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The second category was characterized by the shear capacity of the shear 

connectors being greater than the shear capacity provided by the cohesion at the 

interfaces.  The load-slip plot did not show a significant decrease in strength as the slip 

increased in the post-peak load region.  In general, the shear connectors did yield by the 

time the peak capacity was reached.  The specimens with the steel plate embedded in the 

girder with shear connectors fell in this category.   

The third category was characterized by the shear capacity of the shear connectors 

being approximately equal to the shear capacity provided by cohesion at the interfaces.  

Here, there was a slight drop in the load carried when the interface cracks.  The specimen 

then continued to carry additional load after cracking. 

 Based on Wallenfelszôs data, the majority of the shear connectors have not 

yielded at the time the peak strength was reached.  The equations for the capacity the 

interface provided by many code provisions assume the shear connectors have yielded.  

The peak shear stresses provided in this study were compared to those obtained by 

AASHTO LRFD
22

.  The AASHTO LRFD equation that used a coefficient of friction and 

cohesion value that correspond with an unintentionally roughened surface showed the 

best correlation with the push-off test data.  Wallenfelsz proposed a change to the current 

AASHTO LRFD equation to predict the horizontal shear strength, which was more 

consistent with his results when the amount of steel was increased 

  )(,max[ nyscvn PfAcAv ]     [2.26] 

where, 

  c = cohesion stress 

  Acv = area of interface 

   = coefficient of friction 

                           = 0.9 for grout/concrete interface 

                          = 0.6 for grout/steel interface 

  As = area of shear connectors 

  fy =  yield strength of shear connectors 

  Pn = sustained compressive force, normal to the interface 

The hidden pocket detail provided no noticeable increase or decrease in capacity.  

However, forming the pocket for the hidden detail can prove to be difficult.  The strength 
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of the specimen was not affected by the surface preparation on the bottom of the panel.  

Additionally, an exposed aggregate finish may promote the formation of additional air 

bubbles during the casting of the haunch.  Therefore, it was recommended to use a 

smooth finish on the bottom of the panels.  Another point worth noting from 

Wallenfelszôs work was that the specimen with the embedded steel plate and shear studs 

performed similarly to the detail with the hooked reinforcing bars.  This indicated that 

this detail may be a suitable alternative to the hooked reinforcing bar. 

 

2.1.2.4 Badie et al. 

Badie et al.
30

 proposed the use of large diameter shear studs in composite bridge 

construction.  The advantages of the system include less installation time, ease in deck 

removal, and safer working conditions during construction.  The diameter of the studs 

used in this study were 1 ¼ in.  An emphasis on quality control during the welding 

process is mentioned.  Push-off tests were done to investigate the ultimate strength of the 

large diameter shear connectors using a rolled steel section as the girder.  Control groups 

of 
8

7  in. studs were tested as a basis of comparison.  Both headed and headless studs 

were tested.  Confinement ties were provided in the deck for some of the specimens to 

see if there was an influence on the capacity.  The specimens were tested for ultimate 

strength and some of the specimens were also subjected to 2 million cycles of fatigue 

loading. 

The same mode of failure was observed in most of the specimens.  The failure 

occurred by shear at the base of the weld.  Other failure modes observed were a base 

plate failure for two specimens and concrete failure for three of the specimens.  After 

observing the failure of the base plate, a minimum top flange thickness of ½ in. was 

recommended.  The concrete failure occurred at the unloaded end of the push-off 

specimen.  This was believed to be a local effect, specific to this type of test, and would 

not be typical in most bridges since the majority of the studs are well confined. 

In addition to the insight of the failure mode of 1 ¼ in. diameter studs, other key 

aspects of the behavior of these large diameter connectors was noticed.  The use of 

confinement steel greatly increased the capacity of the push off specimen.  Most bridge 

decks do have a high level of confinement from the top and bottom transverse and 
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longitudinal reinforcement.  Using headless studs decreased the capacity of the specimen.  

However, Badie suggested further studies are needed in this area.  Based on the data, 

fatigue loading did not have an effect on the capacity of 1 ¼ in. diameter studs.  The large 

diameter shear studs showed 30% less slippage at failure than the smaller diameter studs.  

However, the large diameter studs did show larger slip values after the fatigue loading 

was applied.  The tests showed that the AASHTO LRFD specifications are conservative 

for estimating the number of studs needed, based on fatigue requirements, but may 

overestimate the amount of studs needed by as much as 30%.  A stud spacing of 6 in. or 

more was recommended. 

Based on the observations and design recommendations, a full-scale beam was 

tested to further evaluate the 1 ı in. diameter studôs performance.  The beam was a 40 ft 

long, W36x160 with an 8 in. thick concrete deck.  The beam was tested to 4.8 million 

cycles of HS-25 vehicle loading, as specified in AASHTO LRFD
22

.  The fatigue test 

showed no loss of composite action between the concrete deck and beam.  No distress 

was noted in the concrete deck due to the use of the large diameter studs. 

 

2.1.2.5 Kahn and Slapkus 

Kahn and Slapkus
31

 tested six composite concrete T-beams to investigate the 

interface shear strength for sections made with high strength concrete.  The flange was 

cast against a precast web that had cured for 4 weeks.  The precast webs had a nominal 

compressive strength of 12 ksi.  For the cast-in-place flanges, three of the specimens had 

a nominal compressive strength of 7 ksi and the other three specimens had a nominal 

compressive strength of 11 ksi.  The surface between the web and flange was not 

intentionally roughened.  The ratio of reinforcement crossing the interface ranged from 

0.0019 to 0.0037.  The transverse reinforcement consisted of 5, 7, or 9 No. 3 U-shaped 

stirrups.   

The specimens were loaded to failure under a 4-point bending test.  The 

specimens were instrumented with electrical resistance strain gages and LVDTs.  The 

specimens with the 11 ksi flanges failed in flexure with the concrete crushing between the 

load points in the top flanges.  The specimens with the 7 ksi flanges failed by cracking at 

the interface between the web and flange.  Push-off tests were also performed using a 
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wide range of concrete strengths.  There was a good correlation between the results for 

the push-off tests and composite beam tests.    

The experimental shear stresses from the composite beam tests were compared to 

the predicted peak shear stress values proposed in previous research and current code 

provisions.  AASHTO LRFD
22

, AASHTO Standard Specifications
28

, and ACI 318
26

 were 

found to be conservative for predicting the strength of the interface for high strength 

concrete specimens.  In some cases when the experimental shear strength was compared 

to the AASHTO Standard Specifications, the experimental shear strength was six times 

greater.  Kahn and Slapkus compared the shear strength from their tests to an equation 

proposed by Kahn and Mitchell
32

 

 '2.04.1'05.0 cyvcn fffv      [2.27] 

where, 

fcô = compressive strength of the weaker of the flange 

        or web concrete (psi) 

  v = 
sb

A

v

v  = transverse reinforcement ratio 

  fy = yield stress of the transverse reinforcement (psi) 

Equation 2.27 showed a reasonably good correlation with the experimental data.  Kahn 

and Slapkusô results were also compared to an equation proposed by Loov and Patnaik
33

  

  '25.0')15( ccyvn fffkv      [2.28] 

where, 

  k = ñroughnessò constant 

     = 0.6 for rough surfaces 

     = 0.5 for smooth surfaces 

   = correction factor related to the concrete density 

Equation 2.28 predicted the shear strength more accurately than all the other methods for 

calculating the shear strength that were studied by Kahn and Slapkus. 
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2.1.2.6 Issa et. al. 

 Issa
19

 carried out further lab studies to investigate composite action between the 

precast deck panels and supporting steel girders.  This was done by testing 28 push-off 

specimens.  Fourteen of the specimens were ¼ scale and 14 of the specimens were full 

scale.  Each specimen consisted of a steel beam and two precast panels.  Two of the full 

scale specimens did not have any studs so the friction contribution of the interface to the 

total capacity could be evaluated.  The number of pockets and the number of shear studs 

in each pocket were the two main parameters examined by Issa.  One, two, three and four 

stud specimen were examined.  All the studs were placed in a line perpendicular to the 

longitudinal axis the of the steel girder specimen. 

 Part of the specimen preparation consisted of saturating the shear pockets with 

water so that there would not be any exchange of water between the grout and concrete 

panels during the grout pour.  LVDTs were installed to measure the relative slip and 

uplift between the panels are steel girders.  Crack initiation and crack propagation were 

also monitored throughout the test. 

 Finite element models were created in ANSYS
34

 to simulate the push-off tests.  

Nonlinear behavior such as cracking and crushing of the concrete and grout, slip via 

contact and target elements were incorporated in the analysis.  Whether or not the 

plasticity of the steel was modeled was not mentioned.  Shear transfer coefficients of 0.6 

and 0.75 were used for open cracks and closed cracks, respectively, as part of the 

concrete material model.  There was no mention about whether the models were run 

under force control or displacement control. 

 During the testing, the failure of the first stud was characterized by a sudden drop 

in load.  The dominate failure mode of the studs was a shear failure; although, some studs 

were subjected to bending.  A critical slip level of 0.02 in. was established based on the 

results of the push-off specimen.  Issa defined the critical slip as the level where there 

was a slight increase in load with a larger increase in slip.  Here, the shear stud was 

engaged and a clamping stress was imposed on the specimen.  At higher loads, the stud 

started to yield and was accompanied by local cracking and crushing of the concrete.  The 

stud would then typically fail through the weld. 



40 

Issa shows that the two, three, and four stud specimen, with the same number of 

pockets, experienced ultimate loads at the same relative slip point.  It was also shown that 

as the number of studs was increased, the strength increased and the initial portion of the 

load-slip curve (elastic stiffness) increased.  However, there was no direct relationship 

between the number of studs and the ultimate load.  For example, Issa noted that 

doubling the number of connectors did not double the capacity of the specimen.  The 

ultimate strength was increased for a greater number of shear pockets.  The finite element 

analysis results indicated the maximum shear stress in the interface occured in regions 

surrounding the shear studs.  Issa reported the finite element results showed a good 

correlation with the experimental results.  The finite element results did not capture the 

post-peak portion of the load-slip curve. 

Issa compared his test results with equations developed from previous studies to 

predict the shear strength of welded shear studs, as well as current code provisions.  The 

AASHTO-LRFD
22

 shear friction equation was reported to have predicted conservative 

estimates for the shear strength for shear studs.  A cohesion value, c, of 25 psi and 

friction coefficient, , of 0.7 are recommended. 

 

2.1.2.7 Markowski  

Markowski
23

 investigated the composite action between steel girders and precast 

panels with different pocket spacing, which was an extension of the study discussed in 

Section 2.1.1.7.  A model was constructed on ½ scale with a 41 ft - 6 in. simply supported 

girder and precast deck panels.  One half of the girder had 1 ft pocket spacing (simulating 

2 ft pocket spacing) with one longitudinal row of three shear studs.  The other half of the 

girder had 2 ft pocket spacing (simulating 4 ft pocket spacing) with two longitudinal rows 

of shear studs, three shear studs per row.  There was no prestressing in the transverse 

direction, but longitudinal post-tensioning was applied at a level of 256 psi.  This was 

close to the desired level of post-tensioning of 250 psi.  According to Markowski, the 

desired level of 250 psi is the level of post-tensioning that is to be supplied for the Door 

Creek Bridge.  The Door Creek Bridge is a bridge will be constructed in the field for a 

later phase of the research program. 
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The setup was instrumented with LVDTs and strain gages.  The vertical 

deflection at midspan, the relative slip between the girder and panels at the ends of the 

span, and strain distribution through the depth at selected intervals along the span were 

measured.  Both a cyclic test and ultimate strength test were conducted.  The specimen 

was subjected to 2 million cycles of load at 2 Hz.  The load applied at midspan was based 

upon creating the same maximum moment in the specimen that would be found by 

applying an AASHTO vehicle load with a fatigue factor and axle spacing for fatigue 

applied.  Static tests were performed every 400,000 cycles to see if there was any 

degredation in stiffness.  The specimen was also subjected to an ultimate load test. 

For the test on the specimen which investigated composite action, there was no 

significant degradation in stiffness under the cyclic loading regardless of the pocket 

spacing.  However, cracking was observed on the top surface of the shear pockets that 

were spaced at 2 ft (simulating 4 ft pocket spacing on a full scale model).  There were 

some noticeable differences in the strains on the bottom flange of the girder during the 

cyclic test.  During the ultimate load test, the capacity of the 100 kip actuator used by 

Markowski was reached.  There was no evidence of any cracking or crushing of the 

concrete.  However, a portion of the steel beam did yield during the test.  It was also 

noticed that the end of the beam with the smaller pocket spacing reached its first slip 

before the end with the larger pocket spacing.  At higher loads, the smaller pocket 

spacing did provide better composite action between the panels and girder.  However, the 

magnitudes of slip for both ends of the girder were very small.  A 4 ft pocket spacing was 

recommended by Markowski.   

When a portion of the deck was removed in the vicinity of the shear connectors, it 

was noticed that cracking occurred along the top of the shear studs.  Markowski reported 

that having shear studs with the same length creates a plane of weakness in the deck 

where cracks can form.   

Markowski presented a method to calculate the flexural capacity of a section 

assuming partial composite action, which was based upon the work of Seracino
24

.  The 

strain distribution through the depth of the section can be calculated with this method.  

The strain distribution from Markowskiôs tests at different levels of loading was 

compared to the partial interaction strain distribution.  Markowski notes that the strain in 
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the bottom flange of the beam did increase dramatically when the first slip occurred, 

signifying partial composite action.  However, the strain in the top flange matches the full 

interaction strain distribution.  Markowski stated that it was difficult to determine if there 

was partial composite action or full composite action based upon the analytical models. 

 

2.1.3 Panel Joints 

2.1.3.1   Sullivan 

Sullivan
35

 carried out finite element analyses in SAP
12

 and ANSYS
34

 to examine 

the behavior of different transverse joint configurations.  The different joints examined 

were the male-female epoxied joint, a dapped connection, and flat joint between two 

panels with a CIP (cast-in-place) concrete topping. 

The Scioto River Bridge in Columbus, Ohio was modeled in SAP.  The bridge 

consisted of three steel plate girder spans and eight prestressed girder spans.  The girders 

were modeled with frame elements and the deck and parapets were modeled with shell 

elements.  Full composite action was assumed between the girders and panels in all the 

models.  The piers were not modeled.  Instead the piers were treated as pin and roller 

supports because the large stiffness of the piers was not believed to affect the longitudinal 

membrane behavior of the deck.  The loading cases in the SAP model consisted of an 80 

psi wheel load placed adjacent to transverse joints at critical locations on the bridge, a 

wearing surface load of 30 psf, member self weight, and two temperature loads.  The first 

temperature load consisted of a uniform decrease in temperature of 35 F and a 

temperature gradient of 15 F through the depth of the deck that induced compression in 

the top of the deck.  The second temperature load consisted of a uniform temperature 

decrease of 50 F and a temperature gradient of 15 F through the depth of the deck that 

induced tension in the top of the deck. 

Several locations of the bridge were analyzed in SAP under the wheel load case 

and other load cases to determine the locations that produce large tensile stresses in the 

transverse joint.  A refined model consisting of a two-panel system was modeled in 

ANSYS.  Rotations and lateral, longitudinal, and vertical displacements from the SAP 

model were applied to the nodes on the boundaries of the two-panel system, 
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corresponding to a given load case or combination of the cases.  These boundary 

conditions accounted for the rest of the bridgeôs influence on the 2-panel system. 

The applied load cases in the ANSYS models were the same as the load cases in 

the SAP model.  The panels were modeled with brick elements that incorporated cracking 

and crushing of concrete.  The girders were modeled with beam elements.  Interface 

elements were used to model the interfaces between the two panels at the transverse 

joints.  The material properties of the interface incorporated frictional behavior based on 

the user specified friction coefficient. 

Crack patterns, crack widths, longitudinal strain distributions, shear stress 

distributions and relative vertical displacements between the panels were studied for each 

of the transverse joint configurations under the various loading conditions.  All the joints 

exhibited at least some cracking.  Crack widths were calculated from empirical formulas 

found in previous research.  Sullivan discovered from other research that crack widths as 

small as 0.002 in. can cause water leakage through the joint.  ACI sets a limit on crack 

widths of 0.013 in.  In this study, crack widths as high as 0.018 were discovered.   

The longitudinal behavior of the transverse joints was found to be independent of 

the transverse joint configuration.  The analysis revealed that the large longitudinal 

stresses caused from the temperature loading produced the most adverse effects in the 

system.  The cracks produced from this load were eliminated when post-tensioning was 

applied at a level of 800 psi in the deck.  The cracks were also eliminated if expansion 

joints were provided at every other pier in the SAP model.  From a practical standpoint, 

including expansion joints at every other pier can create maintenance issues. 

Sullivan showed that the vertical behavior of transverse joints was dependent 

upon the transverse joint configuration.  When the post-tensioning was not included in 

the models, the male-female joint produced the smallest relative vertical displacements 

and the flat joint with the cast-in-place topping produced the largest relative vertical 

displacements.  Although, the largest relative vertical displacement were still quite small.  

The flat joint with the cast-in-place topping had a maximum relative vertical 

displacement of only 0.399x10
-3
 in.  The male-female joint had a maximum relative 

vertical displacement of only 0.99x10
-4
 in.  The difference in the performance of the joint 

configuration was reduced when post-tensioning was incorporated. 
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2.1.3.2 Gulyas et al. 

Gulyas et al.
36

 performed lab tests on grouted female-female joints to investigate 

the performance of different non-shrink grouts.  The height of the specimen ranged from 

7 in. to 14.25 in.  The specimens were 6.5 in. wide and 3.25 in. deep.  Two grouts were 

used in the tests.  The first grout was magnesium ammonium phosphate [Mg-NH4-PO4].  

This is also known as Set 45 Hot Weather grout and was used in studies by Scholz
1
,
 

Menkulasi
27

, and Wallenfelsz
29

.  The 7 day compressive strength was 7260 psi and the 7 

day tensile strength was 557 psi.  The second grout was another non-shrink grout.  The 7 

day compressive strength was 5870 psi and the 7 day tensile strength was 390 psi.  The 

details of the mix design for the non-shrink grout is given by Gulyas.  A total of 24 

specimens were tested, eight using the non-shrink grout and 16 using the Set 45 Hot 

Weather grout.  Each received a sandblasted surface treatment to improve the bond on the 

surfaces of the keyways.  Sixteen of the specimens had keyway surfaces covered with a 

damp towel prior to grouting.  Eight of the Set 45 Hot Weather specimens were 

intentionally left exposed to the air for several days prior to the grouting of the joints.  

The specimens with Set 45 Hot Weather grout were given a 7 day air curing treatment 

after grouting.  The specimens with the non-shrink grout were covered in damp towels 

and plastic for a 7 day curing period after grouting. 

Three different types of tests were performed.  The first test was a direct tension 

test. This test simulated shortening of the precast concrete members due to creep and 

shrinkage and any drying shrinkage of the grout in the keyway.  The second test was a 

vertical shear test.  This test simulated a wheel load on one member and no wheel load on 

the other member.  The third test was a transverse shear test.  This test simulated 

differential creep, shrinkage, or temperature movement at the interface between the grout 

and precast member. 

The specimens with Set 45  Hot Weather grout exhibited much higher failure 

loads than the non-shrink grout.  Even the Set 45  Hot Weather specimens that were 

exposed to air before grouting had failure loads at least 1.45 times the failure load of the 

non-shrink grout specimens.  Allowing the Set 45 Hot Weather specimen to be exposed 

to the air for several days prior to pouring the grout caused a substantial decrease in 
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strength, anywhere from 44% to 68%, depending on the type of test run.  The 

longitudinal shear test showed the most substantial difference. 

In addition to the transverse joint push-off tests, shrinkage tests were conducted 

for 3 in. x 3 in. x 10 in. prisms.  Three mixes were compared.  The first mix was the Set 

45  Hot Weather grout.  The second mix was the Set 45 Hot Weather grout with an 

aggregate extension.  The third mix was concrete with Portland cement with a water to 

cement ratio of 0.32.  The Set 45 Hot Weather grout mixes, both with and without the 

aggregate extension, had shrinkage strains five times less than the concrete mix at about 

120 days. 

Chloride absorption in 4 in. cubes was also monitored over 21 days.  The changes 

in weights of the specimens were monitored over this time period.  The Set 45 Hot 

Weather specimen showed an increase in weight of about 1% and the portland cement 

concrete specimen showed an increase in weight of about 3%. 

 

2.1.3.3 Kaneko et al. 

Kaneko et. al.
37,38

 performed finite element and experimental studies to 

investigate and verify the failure modes of male-female shear keys proposed in 

formulations using principles of fracture mechanics.  The failure mode investigated was 

the shear-off, or shearing failure.  This occurs through the base of the key.  Another 

failure mode of the male-female shear key is the sliding and separation of the female end 

with respect to the male end.  These two failure modes may occur simultaneously.  Refer 

to Sullivan
35

 for more on the shearing failure and sliding failure. 
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Figure 2.1.2  Proposed Failure Mode for the Male-Female Shear Key 

 

The proposed failure mode of the shear key consists of M-cracks (diagonal 

multiple cracks) and S-cracks (single curvilinear crack).  The failure is initiated by the 

formation of the S-crack at the corner of the shear key due to high shear stresses, which is 

shown in Figure 2.1.2.  The S-crack continues to propagate under additional load.  The 

propagation of the crack induces the rotation of the shear key.  This creates a high stress 

field at the lower part of the base of the key.  The high stress field leads to M-crack 

development.  The cracks are oriented at a certain angle of inclination.  If there is no 

post-tensioning applied across the joint, then the state of stress at the base of the key is 

close to a pure shear stress state (neglecting longitudinal stresses from flexure).  For this 

state of stress, the M-cracks would be oriented at 45.  Additional loading causes 

additional M-cracks to form along the base of the key.  Eventually the shear key is 

sheared off at the base by the failure of the compressive struts between the M-cracks.  

During this process, the male and female end of the joint slip and separate relative to one 

another.  Kaneko derived relationships for the shear stress and the relative slip.  The 

wedge crack model was used to predict the response due to the formation of the S-crack   
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where, 

   = orientation angle of crack (recommended value of 45) 

  E = modulus of elasticity of concrete 

  F = vertical wedging force 

  p = lateral prestress 

  l = assumed crack length 

There was no mention about how to calculate the shear stress.  However, the average 

shear stress can be calculated by taking the vertical wedging force, F, and dividing it by 

the area of the base of the key.    

The rotating smeared-crack-band model was used to predict the response due to 

the formation of the M-cracks 

  LD xyy        [2.30] 

where, 

  D = depth of the key joint 

  L = length of the key joint 

  y = normal strain in the vertical direction 

  xy = shear strain 

Determining the shear stress, xy, requires using the strain state x, y and xy and using 

stress transformations and constitutive relationships that incorporate inelastic behavior.  

The constitutive relationships consist of a model for the compressive behavior of concrete 

and a model for the tensile behavior of concrete.  The constitutive relationships used by 

Kaneko were fairly typical and there is a wealth of literature that proposes such models as 

well as slight variations
39,40

. 

Push off tests were performed on male-female shear keys
38

.  The vertical slip 

between the male and female end were monitored along with the applied vertical load.  

The cracking patterns in the joint were tracked.  The cracking observed in the experiment 

was consistent with the behavior of S-crack and M-crack formation described above.  

Equations 2.29 and 2.30 also predict the slip of the key fairly well through the entire 

range of loading for different levels of prestress.   

A nonlinear finite element analysis was also carried out to add confidence to the 

verification study.  The model consisted of three node and four node plane stress 
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elements.  Analyses were run with both a multidirectional fixed smeared-crack model and 

a discrete cracking model (S crack path assumed) to verify the behavior with two 

different crack models.  The finite element model traces the pre-peak stress region of the 

shear stress vs. relative slip curve considerably well.  However, the models were unable 

to track the post-peak shear stress region on the shear stress vs. relative slip curve. 

 

2.1.4 General Studies on Precast Deck Panel Systems 

2.1.4.1   NUDECK System 

A great deal work had been done at the University of Nebraska at Lincoln
41,42

 in 

the development of the NUDECK precast deck panel system.  The NUDECK system is 

very similar to typical precast deck panels used.  One unique feature is that the NUDECK 

system utilizes spiral reinforcement around the ends of the prestressing strands.  This 

provides a confining mechanism for the concrete surrounding the strands and reduces the 

development length of the strands in an overhang.   

Another major difference in the NUDECK system lies in the continuity over the 

girders.  Normally full width panels are continuous over the girders with the exception of 

shear pocket locations.  Therefore, there are only discrete locations where there is no 

precast concrete segment over the girder.  The pretensioned strands are continuously 

embedded in the concrete panels over the entire width.  In the NUDECK system, the 

precast concrete segments only run between the edges of the girders.  Continuity over the 

girders is provided by mild reinforcing steel, properly embedded in adjacent concrete 

panel spans.  When the stress in the prestress force is released, the mild reinforcing bars 

go into compression, transferring the compressive force between the panels.  Over the 

girder lines, the total compressive force in the continuity bars is equal to the total tensile 

force in the prestressing strands.  The elastic shortening loss in the prestressing strands is 

equal to the compressive stress gained in the continuity bars.  The corresponding strain 

increment is calculated as: 

 
ppss

pip

EAEA

fA
       [2.31] 

where, 

  fpi = tensile stress in the strands just before release 
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  As = cross sectional area of the mild reinforcing continuity bars 

  Ap = cross sectional area of the prestressing strands 

  Es = modulus of elasticity of the mild reinforcing continuity bars 

  Ep = modulus of elasticity of the prestressing strands 

Buckling of the continuity bars must also be checked over the length of the gap.  The 

gaps over the girders are filled with grout after the system is post-tensioned together. 

 Cyclic and ultimate load tests were conducted on two lab specimens.  The system 

was also used on Skyway Drive and West Dodge Bridge in Omaha, Nebraska.  Both 

projects demonstrated the successful implementation and performance of the NUDECK 

system. 

 

2.1.4.2 Issa et al. 

 Issa
2
 submitted a questionnaire survey to DOTôs to see what types of transverse 

joints were used, the type of bonding material used to fill the joints, the protection system 

used on the deck, the problems associated with the joints, and the type of connecting 

system between the panels and girders.  Of the states that reported, leaking of the 

transverse joints was the most common problem.  Cracking and deterioration of the 

system was also reported.  This was mostly attributed to poor construction procedures, 

poor material quality, and inadequate maintenance. 

 The female-female grouted joint was the most common transverse joint presented 

by Issa.  However, Illinois utilized the male-female joint on the Senneca bridge.  Leaking 

was reported at the joints in this bridge.  The vast majority of the bridges described in the 

report had steel supporting systems with shear studs shot to the girder to obtain composite 

action. 

 A field inspection of the bridges reported in the survey was done by Issa
3
.  The 

biggest problems found were leaking and/or cracking at the transverse joints.  Issa 

reported that many of these occurrences can be attributed to poor construction 

procedures, the configuration of the joint between the adjacent panels, a lack of post-

tensioning, or the materials used.  Issa recommended that an opening of at least ¼ in. be 

used between female-female joints to allow for any panel size irregularities.  Leaking was 

reported in this joint configuration when the panels are butted against one another at the 
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bottom of the joint.  Based on the inspections, Issa recommended that longitudinal post-

tensioning be used to keep the joint in compression and guard against leaking.  Issa 

reported that very few states use longitudinal post-tensioning.  Fewer problems were 

encountered with bridge decks supported on concrete elements. 

 

2.2 Current Code Provisions 

The following sections discuss current code provisions that are applicable to the 

design and analysis of precast deck panel systems.  Models for predicting the variation of 

the creep coefficient and shrinkage strains with time are discussed first.  Methods for 

calculating prestress loss are discussed next.  The equations for prestress loss are not 

valid for calculating prestress loss in the post-tensioning ducts because the equations do 

not take in to account the effects of differential creep and shrinkage.  Methods for 

calculating the horizontal shear strength are presented last.  The equations for horizontal 

shear strength are not applicable to the design of the shear pockets for precast deck panel 

systems the way they are presented.  The following chapters investigate whether the 

equations may be altered for the design of shear pockets in precast deck panel systems.  

 

2.2.1 Creep and Shrinkage of Concrete 

The following section discusses various models for predicting creep and 

shrinkage response of concrete.  These models aid in predicting the response of concrete 

structures and in predicting prestress loss in prestressed concrete structures. 

 

2.2.1.1 ACI -209 

The ACI (American Concrete Institute) 209
10

 report presents models for 

predicting creep and shrinkage response of concrete under service conditions.  The 

shrinkage strains can be predicted at any time by 

 ushtsh
tf

t
)()(        [2.32] 

where, 

  t = time from the end of initial curing 

   = 0.9 to 1.10 (1.0 recommended value) 
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  f = 20 to 130 days (35 recommended when moist cured for 7 days or 

       55 days when steam cured for 1-3 days) 

  ( sh)u = ultimate shrinkage strain 

           = (780 ) sh 

  sh = product of applicable correction factors for nonstandard conditions 

The factor sh that accounts for nonstandard relative humidity, member sizes, concrete 

composition, slump, fine aggregate composition, cement content, and air content is 

  csvssh        [2.33] 

The creep coefficient can be calculated at any time by 

  ut v
td

t
v         [2.34] 

where, 

  t = time after loading 

   = 0.4 to 0.8 ( 0.6 recommended value) 

  d = 6 to 30 days (10 days recommended) 

  vu = 2.35 c 

  c = product of applicable correction factors for nonstandard conditions 

The factor c that accounts for nonstandard curing conditions, relative humidity, member 

sizes, concrete composition, slump, fine aggregate composition, and air content is 

  svslash        [2.35] 

The correction factor accounting for curing is 

   for moist cured concrete other than 7 days, [2.36] 

   for steam cured concrete other than 1-3 days [2.37] 

where tla = is the loading age (days).  The correction factor for curing only applies to 

creep.   

The correction factor for the ambient relative humidity is: 

     (  > 40) for creep and   [2.38] 

     and    [2.39] 

   for shrinkage   [2.40] 


